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ABSTRACT 

The goodness of estimates for regional urban seismic risk for buildings has not been fully tested in the 

light of field data. This stems from a dearth of studies related to how well performance assessment procedures 

forecast individual buildings.  Three identical buildings were subjected to strong ground motions over an eleven-

year period in Turkey. With extensive documentation for the input motions and the resulting damages it was 

possible to test how well those damages could have been forecast. Analytical studies are not encouraging. 

 

1 INTRODUCTION 

 Seismic structural codes have evolved over many years, reflecting a combination of engineering 

judgment, consensus among professionals, empiricism and refinements through research. For at least the past 

half century the basic driving philosophy has changed little since its first enunciation in the SEAOC Blue Book 

(1), namely that buildings built in seismic areas should fulfill the requirements to: 

 

1. Resist minor levels of earthquake ground motion without damage; 

2. Resist moderate levels of earthquake ground motion without structural damage, but possibly 

experience some nonstructural damage; 

3. Resist major levels of earthquake ground motion having intensity equal to strongest either 

experienced or forecast for the building site without collapse, but possibly with some structural as well 

as nonstructural damage (2). 

 

The procedure summarized in this set of unassailable statements represents the implicit embodiment of 

the philosophy that is deeply rooted in building codes of many countries. Its achievement takes different paths, 

and is likely to rest upon procedures that have sprung from disparate conceptual frameworks that represent the 

practice of seismic engineering in those countries.  Performance based assessment and design have emerged 

during about the last two decades as a consistent methodology that diverges from linear procedures in 

recognition of the requirement for accommodating limited structural damage. This has become a subset of 

earthquake structural engineering where much research has been conducted since the publication of the ground 

breaking ATC-40 document (3). Perhaps the most lasting contribution to seismic engineering by ATC-40 was 

the coherent explanation for why buildings did not collapse when they had experienced ground motions far in 

excess of the levels for they had been designed. It paved the way for judging whether existing buildings were 

likely to fulfill performance criteria if they were to be subjected to future earthquakes with prescribed intensities. 

The current state-of-the-art for developing building loss estimates for urban settlements rests on techniques that 

have inherited the insight provided by performance based assessment tools. The principal index in these 

techniques is the intensity of the future earthquake that is keyed to a hypothetical return period. Strong 

reservations have been expressed against the concept of return period, namely that, even over very long stretches 

of time that no one is likely to observe ground motion at a given spot on earth promises to abide with the 

statistical regularity implied by the numbers attached to rare, occasional or frequent earthquakes (4). The 

inability displayed by the most important component of performance based assessment in assigning a proper 

probability value to a ground motion time series once it has been recorded is thus its Achilles heel.  

 

But this paper will dwell on a more fundamental issue: do we have the means of calculating the damage 

level for buildings as they exist in the field if we have data on the ground motion that they experienced and on 

their structural attributes? Performance based procedures may work fine for laboratory specimens that are tested 

in strictly controlled environments, but does it follow that the same level of success is likely to be repeated under 

conditions that are less than perfect when nonstructural components interfere with structural response, or ground 
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compliance matters, or we have faulty information at hand for details and material properties? This issue is 

important because if performance based methods provide faulty foresight then regional seismic loss estimates, 

earthquake insurance premium rates and building retrofit prioritization procedures would become objects of 

debate and face skepticism.  

 

2. BUILDING PERFORMANCE 

Investigating the response of structures during earthquakes has been a useful tool to improve 

methodologies for design and analysis of structures. Early examples of rationalizing observed damage in 

buildings include studies on the Olive View Hospital Facility that sustained severe damage during the 1971 San 

Fernando earthquake (5). The observed structural damage was compared with calculations based on linear and 

nonlinear response history analysis (NRHA). A similar investigation was done for the Imperial El Centro County 

Services Building in California that was severely damaged during the 1979 Imperial Valley Earthquake (6). The 

measured response of the building was presented and a hypothesis was developed for the prediction of the 

observed column failures. These two building serve only as samples from a sizable collection of studies on the 

analysis and interpretation of damage in structures. In most of these cases input motions were unknown or could 

only be surmised with a good deal of guesswork. We must also keep in mind that, with well documented damage 

data in hand, it is always possible to devise a plausible scenario that explains that data but such post de facto 

statements can not be generalized as a verification of the power of the technique. 

 

That not all was well in the domain of un-biased a priori damage forecasts for building performance was 

signaled by personal as well as national experience. During post-event surveys I, as most other earthquake 

engineers have experienced the puzzling syndrome of observing seemingly identical closely situated buildings in 

disparate states of damage.  We can usually rationalize our way out of this confusion by invoking arguments 

based on seldom ignored factors. When, however, one is faced with the task of foretelling which members of a 

large number of buildings in a city will suffer what degree of damage in a scenario earthquake one always 

reverts to empirical or theoretical vulnerability curves that are inherently blind: they reveal percentages of 

damage on building groups, but not their addresses. It is a safe haven in which to wrap a basic weakness: the 

poorly estimated performances can always be assigned to the scatter in the solid curves that describe the 

expected, mean, states of damage. This was confirmed by the expected distribution of damage in the city of 

Adapazarı, a city where many of the common deficiencies that have been associated with the building stock in 

Turkey were pushed to the forefront during the August 17, 1999 earthquake that was centered close by (7, 8).  

Buildings with a particular combination of structural properties situated in near-field distances from the 

causative fault are expected to experience the same distinct levels of damage. On the basis of our experience in 

Adapazarı it seems that we may know the damage outcome of an earthquake in the aggregate, but picking 

individual candidates for collapse on the basis of their visible or alleged attributes is an inexact science.  Site 

conditions provide some illumination, but features of structural framing seem to be safely shielded from accurate 

predictions. When as-built structural information is not available, as was the case of the destroyed housing in 

Adapazarı, our idealizations must have had characteristics that contravened reality, or could not be reflected with 

any degree of accuracy in the damage models. This partially accounts for the unsatisfactory performance of our 

estimates for individual building performances. Incorrect predictions of the poor performance for some of the 

buildings examined are believed to be in part due to inadequacy of the conventional procedures in handling the 

influence of soil conditions.  The influence of the demand calculation procedures on the conventional 

vulnerability analysis highlights their role on the damage predictions. In short, the adequate predictions of the 

damage patterns observed in Adapazarı proved to be possible because of the factors that are not accounted for in 

the conventional procedures available. Therefore, the inescapable conclusion was that further investigations that 

were based on the detailed geotechnical analyses and soil data must be carried out. Yet, even when these alleged 

shortfalls did not exist the vision expected of the finely tuned methods that are available as products of the latest 

research was bafflingly blurred. 

 

3. THE BUILDINGS AND THE EARTHQUAKES THEY EXPERIENCED 

In this paper I propose to report a comparison of the observed and calculated earthquake response of a 

representative provincial branch office building for a Turkish Ministry. It is a ground-plus-four story RC frame 

building designed and constructed to exactly the same template in the 1980s in many regions of Turkey (Figure 

1). The three buildings that I will examine here suffered damage to varying degrees of severity during the 13 

March 1992 Erzincan, 12 November 1999 Düzce, and the 1 May 2003 Bingöl earthquakes (Figure 2). All of 

these earthquakes were strong to severe (M6.3 or larger). The ground motions considered here were all recorded 

in near-field in that the closest distance from the recording sites to the surface projection of the fault rupture was 

less than 10 km. The recorded ground motions displayed the marks of near-field events (9). During these events, 

three-component strong ground motion data were recorded in one story buildings adjacent to the main buildings 

in Bolu and Bingöl and in a one-story building about 2 km away from the main building in Erzincan. That the 

ground motions are known exactly for two of the three buildings is a uniquely fortuitous occurrence. Although 
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the motion in Erzincan was recorded by a transducer 2 km away from the building, the local geology of the sites 

was very similar and no tall buildings existed in the vicinity of the recording station to interfere with the ground 

motions significantly. Thus, the Erzincan record may be assumed to be the input to the building as well (10). 

 

 
 

Figure 1. a) General view of the building b) plan of the building and its appurtenances 

       

 
 

 

 

The nonlinear static procedure (NSP) of ASCE41 was also carried out to make a global comparison 

with the NTHA. These comparisons would allow us to provide a test of the concepts embedded in structural 

performance assessment procedures in the light of empirical evidence. The tools that are used are in current use 

as state-of-the-art devices. 

 

The case-study building in Figure 1 is the main part of the typical branch office of Ministry of Public 

Works and Reconstruction (MPWR) which is a complex designed according to requirements of the 1975 Turkish 

Seismic Design Code, constructed in the 1980s. There are four appurtenant buildings adjacent to the building 

that will be examined here. All buildings were separated by 50 mm by seismic joints in the same compound 

(Figure 1.b). Our focus will be on the building shown in Figure 1.a. Any potential impact with the adjacent 

buildings was neglected in the analyses. No significant damage except for the failure of support walls at the roof 

level and spalling of the concrete in adjacent elements belonging to two different blocks occurred at mid stories. 

 

The main building is a ground-plus-four-story RC structure measuring 13.2 m by 20 m in plan (Figure 

3). The story height is 3.8 m for the ground floor and 3.2 m for the other floors. The building is rectangular in 

shape with three bays in both orthogonal directions. Perimeter girders in the exterior frames have 0.3 m width 

with a depth of 1.2 m. Dimensions of the beams in the interior frames are 0.3 m by 0.7 m in the longitudinal (X) 

direction and 0.3 m by 0.6 m in the transverse (Y) direction (Figure 3). The outline of the building indicates that 

the structural engineer perceived the exterior frames as the principal lateral resisting system of the structure. This 

was a sound strategy that reaped benefits (Figure 4). I will examine this one building that was identical, except 

for concrete quality, in the three cities where it had been built. 

 

Eight rectangular columns exist (Figures 3 and 5) with their strong axis in the longitudinal direction and 

five rectangular columns in the transverse direction of the building. Except for the L-shaped corner columns, size 

of the columns and their longitudinal reinforcement in these members decrease progressively from the lower to  
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Figure 2. Epicenters of the earthquakes  (www.google.com) 

The fortuitous combination of known input 

motions for the buildings and their design 

drawings permitted us to respond to the 

obvious question that begs to be answered: 

given the tools of current computational 

performance assessment technology, is the 

damage in each of these buildings within our 

ability to predict by proper modeling? Here, the 

observed structural damage is compared with 

that predicted in bi-directional NTHA of 3D 

analytical models.  
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upper stories but dimensions of the beams and amount of their 

longitudinal reinforcement do not vary with height. The ratio of the total column area at ground level to footprint 

area of the building is 0.027. 

 

 
 

      

                    

 

deviations in the reinforcement sizes. This was confirmed for the Bolu building where careful post-event 

inspections were made. Smooth reinforcing bars made from medium grade steel were used in all buildings. 

Following our on-site visits to all buildings we have confirmed that the members of the framing with respect to 

their gross dimensions had been strictly constructed as specified in the design. 

 

The strong ground motions used in this study were recorded by stations of the Turkish national strong-

motion network immediately adjacent to the buildings. The processed data and seismological features of the 

motions have been obtained from a systematic compilation and uniform processing on strong motion data 

recorded by the Turkish national strong motion network. The detailed geophysical and geotechnical site surveys 

for all of the stations were available. The station information and other seismological features of the ground 

motion data used in this paper are summarized in Table 1. The ground motion time series and their spectra are 

shown in Figure 6. 

 

Table 1. Seismological features of the strong ground motions, Mw: Moment magnitude, Rjb : Joyner Boore 

distance, HRV: Harvard Centroid Moment Tensor, Vs,30 : Average shear-wave velocity of the upper 30 m soil  

  

 Earthquake 
March 13, 1992 

Erzincan 

November 12, 1999 

Düzce 

May 1, 2003  

Bingöl 

Mw (HRV) 6.6 7.1 6.3 

Fault Type  Strike-slip Strike-slip Strike-slip 

Rjb (km) 3.3 8.0 2.2 

Vs,30 (m/s) - 294 529 

PGA (g), Longitudinal (N-S) 0.413 0.754 0.556 

PGA (g), Transverse    (E-W) 0.488 0.821 0.282 

PGV (cm/s), L 108 56.6 34.5 

PGV (cm/s), T 78.2 66.9 21.9 

PGD (cm),   L 34.4 25.2 10.2 

PGD (cm),   T 29.5 12.8 5.1 
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Figure 4. Cross-section dimensions, longitudinal and 

transverse reinforcement of (a) perimeter girders, (b) 

interior beams in the longitudinal direction, and (c) interior 

beams in the transverse direction of the building 
Figure 3. Typical floor plan 

Figure 5. Cross-section dimensions, 

longitudinal and transverse reinforcement 

of typical column sections at ground level 

The slab thickness is 15 cm at each floor of the buildings. The 

peripheral hollow brick masonry infill walls are 26 cm in 

thickness. The infill walls separating office rooms from corridors 

are 19 cm thick and those separating office rooms from each other 

are made up of 9 cm masonry. The amount of masonry walls at 

the ground and top floor is less than that of the other floors. 

Unreinforced hollow clay bricks is typical in Turkey and infill 

walls are added after the concrete frame is constructed. Infill 

walls are unreinforced and not dowelled to the surrounding frame 

elements. 

 

All buildings are situated in the highest seismic hazard zones of 

the country, and were constructed under governmental 

supervision. It was assumed that there cannot have been any  
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Figure 6. Horizontal ground acceleration history and acceleration response spectra (5% damping) graphs of the 

ground motions for (a) longitudinal and (b) transverse components of the earthquakes 

 

4.  OBSERVED DAMAGE 

The building in Bolu sustained major damage (it has been demolished now) that was judged to represent 

a “collapse prevention” level of performance while in Bingöl the building sustained less severe damage 

corresponding to an intermediate description between “life safety” and “collapse prevention”. In terms of 

permitting immediate occupancy, the Erzincan building was judged to have performed best of all. After the 

Düzce earthquake, a careful recording of the damage distribution was performed for the building in Bolu. The 

structural damage was concentrated in the lowest three stories. Damage consisted essentially of diagonal shear 

cracks in the columns; shear failure in the captive columns (Figure 7) and hollow clay brick infill wall failures 

(Figure 8). Flexural cracks were observed in almost all beams of the first three floors (Figure 9). In addition, 

crushing of concrete, buckling of longitudinal steel, and disengagement of ties were noticed in the affected 

columns. The Erzincan and Bingöl buildings have both been retrofitted since. 

 

The column design per the 1975 Turkish Code requirements meant that the shear capacity fell short of 

developing the flexural capacity at the ends. This is seen in Figure 10 for Bolu and Bingöl where diagonal shear 

cracks developed in the L-shaped corner columns but no flexural hinging occurred at their ends. 
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Figure 7. Captive column effect and buckling of longitudinal steel in Bolu (view from the courtyard) 

 

 
 

Figure 8. Failure of infill walls (Bolu) 

 

 
 

Figure 9. Flexural beam cracks (Bolu) 

 

 

 
 

Figure 10. Diagonal shear cracks developed in ground story L-shaped corner columns (C16) in (a) Bolu 

(left) and (b) Bingöl (right) 
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5. ANALYTICAL MODELS 

The preliminary information we had at hand for the buildings permitted the construction of models for 

3D NTHA of the buildings. In all models, distributed plasticity was used through fiber analysis approach in 

order to simulate the nonlinear and biaxial flexure behavior of the columns. Beam members were introduced as 

linear elements with effective stiffness of 0.3EcIg per ASCE41, 2008, and bi-linear moment-curvature 

relationship was assigned at their both ends. Elastic-perfectly-plastic shear hinges were assigned at both ends of 

the beams and columns representing the shear force-deformation relationship. 

 

The ultimate shear strength values defined for the column hinges were calculated by as (11): 

g

g

'

c

'

cyv

csn A8.0

Af5.0

P
1

Vd/M

f5.0
k

s

dfA
kVVV ++=+= l                                      (1) 

where λ is taken as 1.0 for normal weight concrete, k is assumed as 0.7 in regions of high ductility demand and 1 

for displacement ductility ratios of less than 2, M/V is the largest ratio of moment to shear under design loadings 

and not taken greater than 4 nor less than 2, d is the effective depth, P is the axial compressive force and Ag is 

the gross sectional area of the column. The base shear capacity of the buildings expressed as the sum of column 

shear capacities at ground level calculated from Eq. (1) and normalized with the total weight is given in Table 2. 

 

Table 2. Sum of column shear capacities at ground level calculated from Eq.(1), normalized with the total weight 

 

  Erzincan Bolu Bingöl 

 Long. Trans. Long. Trans Long. Trans 

ΣVn at ground level calculated from 

Eq.(1) and normalized with ΣWeight 
0.26 0.24 0.34 0.33 0.26 0.24 

 

The contribution of slip deformation to the yield displacement was taken into account in beams by 

introducing members with aforementioned effective stiffness to the model. However, due to high level axial load 

and aspect ratio, the slip of the reinforcing bars was neglected in the columns (12). 

 

In accordance with established practice in-filled frames were modeled as equivalent diagonally braced 

frames that are represented by diagonal compression struts. Typical failure modes of the infill walls are sliding 

shear and compression of the diagonal strut. In the analytical model, the lowest strength value was considered 

among these failure modes and infill walls were considered to fail when that strength value has been reached. 

The diagonal compression failure force was calculated according to the following equations (13): 
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All other assumptions about materials and loading used in the analytical modeling are summarized in 

Table 3. The yield strength of the reinforcement steel is 220 MPa for all buildings. The compressive strength of 

concrete was measured as 20 MPa for Bolu and 9 MPa for Erzincan and Bingöl, respectively. 

 

6. NONLINEAR TIME HISTORY ANALYSES (NTHA) 

The maximum roof displacements obtained from the bi-directional NTHA are given in Figure 11. The 

maximum displacement results are 204, 134 and 76 mm corresponding to the global drift ratio (GDR) values of 

%1.23, 0.81 and 0.46 percent for the analytical models of the buildings in Erzincan, Bolu and Bingöl, 

respectively. The inter-story drift ratio (ISDR) results of bi-directional NTHA of the buildings are shown in 

Figure 12. It indicates that the building in Erzincan has the highest and that in Bingöl has the lowest ISDR. 

Structural damage is directly related to drifts, so we would expect the building in Erzincan should have suffered 

the most severe damage of all. However, these analytical results are in conflict with the damage observed. 
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Figure 11. Bi-directional NTHA results of the buildings in Erzincan, Bolu and Bingöl for (a) 

longitudinal and (b) transverse directions  

 

 
Figure 12. Inter-story drifts from bi-directional NTHA in (a) longitudinal and (b) transverse directions 

 

Table 3. Summary of the parameters for the analytical models 

  Bolu Erzincan Bingöl 

Material 
Concrete 

fc  = 20 MPa  

Ec = 21170 MPa 

                        fc   = 9 MPa 

               Ec = 14200 MPa  

Steel fy  = 220 MPa, Es = 200000 MPa 

Modeling 

Seismic dead load  DL + 0.3 LL 

Mass Distribution At mass centers 

P-delta effect Yes 

Shear deformations Yes 

Rayleigh Damping 5 percent in first and fourth modes  

Rigid offset at joints  Yes 

Effective flange width  1/5 of the clear span of the beam on both side of the web 

Element Models 

Columns: Fiber section + Shear hinge 

Beams: Linear beam with Moment-Curvature hinge +  Shear 

hinge     

Infill Walls : Compressive Strut Members 

 

6. NONLINEAR STATIC ANALYSES  

NTHA is considered to be the most reliable way to estimate the inelastic seismic demand of structures. 

However, being more practical and less time consuming, current civil engineering practice recommends NSP as 

one way of judging performance. The displacement coefficient method (CM) of ASCE41 is one of these 
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methods. Employing the procedure of the method, a vertical distribution of lateral load proportional to the shape 

of the fundamental mode in the direction under consideration was applied to the each model in order to construct 

the nonlinear force-deformation relationship of the system. The effective fundamental period, Te in the direction 

under consideration was calculated from the idealized pushover curves in the two orthogonal directions (Table 

5). The target displacement, δt, is calculated from an equation of the form 

 

                         d210t SCCC=d                                 (5) 

 

          g
4

T
SS

2

2

e
ad
p

=       (6) 

where Co relates the spectral displacement of the equivalent SDOF system to the roof displacement of the 

building MDOF system, C1 relates the expected maximum displacement to the displacement calculated for linear 

elastic response, C2 represents the effect of pinched hysteretic shape, stiffness degradation and strength 

deterioration, Sa is the response spectrum acceleration at the effective fundamental period (Te) with damping 5 

percent and Sd stands for the spectral displacement. The modification factors, Sd and δt, regressed values from 

statistical studies, are presented in Table 4. Other forms of Eq. (5) are available. 

 

Table 4. The modification factors and target displacement values in the longitudinal and transverse directions of 

the buildings 

    

Effective 

Period 
Coefficients 

Spectral 

Disp. 

Target 

Disp. 

Roof Drift 

Corresponding to 

Target Disp., % 

    Te (s) C0 C1 C2 Sd(mm) δt mm) δt /H 

Long. Dir. of 

building 

Erzincan 0.58 1.4 1.06 1.01 81 124 0.75 

Bolu 0.48 1.4 1.17 1.03 91 157 0.95 

Bingöl 0.58 1.4 1.00 1.00 73 104 0.63 

Trans. Dir. of  

building 

Erzincan 0.52 1.5 1.08 1.01 61 101 0.61 

Bolu 0.47 1.5 1.21 1.04 81 153 0.92 

Bingöl 0.52 1.5 1.02 1.00 62 97 0.58 

 

NSP results indicate that the maximum target displacement values are obtained for the buildings in 

Bolu, Erzincan and Bingöl, in decreasing order. The maximum target displacement value in the case of Bolu is 

157 mm which corresponds to a GDR of 0.95 percent. This appears to be an underestimate in view of the 

observed damage. The aforementioned values for Erzincan and Bingöl are slightly different where the GDR 

values are 0.75 and 0.63 percent, respectively. This is also not in agreement with the observed damage that the 

building in Bingöl suffered more damage than that in Erzincan. 

 

7.  ANALYSIS RESULTS ACCORDING TO ATC-40 PERFORMANCE LEVELS 

 The ISDR demands of the bi-directional NTHA and nonlinear static analyses are compared in Figure 13 

in order to make a global assessment per ATC-40 performance levels. The building in Erzincan exists in IO level 

according to the CM method and calculated to be in DC level according to the NTHA results while it was judged 

to be in “minor damage” level after the earthquake. The building in Bolu is at IO level according to the NTHA 

result while it is slightly higher than IO level according to the CM method. The building was judged to be in 

“major damage” level just after the earthquake. The Bingöl building has a performance level of IO for both 

analyses while it was judged by inspecting engineers to have “moderate damage” after the earthquake. These 

established expressions, though not directly correspond to the Performance Levels in Table 6, do carry some 

affinity to the three classes listed here. 

 

Faced with this circumstance, it is impossible to discuss the superiority of one method over another 

considering such divergence of our results with the observed behavior. The performance assessment results 

(Table 5) based on the ISDR criterion and ATC-40 acceptance limits give variable estimates for these buildings. 
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Figure 13. Comparison of ISDRs according to the  

NTHA and nonlinear static analysis results in   

(a) longitudinal and (b) transverse directions 

 

Table 5. The performance levels calculated according to ATC-40 

    NTHA      NSP   

  Erzincan  Bolu Bingöl Erzincan  Bolu Bingöl 

Max. Inter-story drift (%) 1.49 1.01 0.56 0.87 1.09 0.73 

Calculated 

Performance Level 
IO-LS 

Slightly 

higher than 

IO 

IO IO 

Slightly 

higher than 

IO 

IO 

Observed Damage  Minor  Major  Moderate  Minor  Major  Moderate  

 

Table 6. Larger of the end rotations at ground level girders of all buildings and their performance levels in 

accordance with ASCE41 limits for non-conforming members 

 

Erzincan Bolu Bingöl 

Beam 

Id 
θp (rad.) PL 

Beam 

Id 
θp (rad.) PL 

Beam 

Id 
θp (rad.) PL 

Beam 

Id 
θp (rad.) PL 

Beam 

Id 
θp (rad.) PL 

Beam 

Id 
θp (rad.) PL 

B1 0.0031 IO B13 0.0069 LS B1 0.0028 IO B13 0.0050 IO B1 0.0007 IO B13 0.0026 IO 

B2 0.0008 IO B14 0.0059 LS B2 0.0017 IO B14 0.0037 IO B2 0.0001 IO B14 0.0023 IO 

B3 0.0022 IO B15 0.0074 LS B3 0.0028 IO B15 0.0051 LS B3 0.0010 IO B15 0.0027 IO 

B4 0.0024 IO B16 0.0098 LS B4 0.0036 IO B16 0.0069 LS B4 0.0012 IO B16 0.0040 IO 

B5 0.0022 IO B17 0.0083 LS B5 0.0035 IO B17 0.0055 LS B5 0.0010 IO B17 0.0030 IO 

B6 0.0023 IO B18 0.0084 LS B6 0.0037 IO B18 0.0057 LS B6 0.0013 IO B18 0.0032 IO 

B7 0.0020 IO B19 0.0099 LS B7 0.0034 IO B19 0.0069 LS B7 0.0009 IO B19 0.0039 IO 

B8 0.0020 IO B20 0.0081 LS B8 0.0033 IO B20 0.0055 LS B8 0.0009 IO B20 0.0029 IO 

B9 0.0023 IO B21 0.0085 LS B9 0.0036 IO B21 0.0060 LS B9 0.0013 IO B21 0.0033 IO 

B10 0.0019 IO B22 0.0061 LS B10 0.0028 IO B22 0.0055 LS B10 0.0007 IO B22 0.0023 IO 

B11 0.0019 IO B23 0.0054 LS B11 0.0028 IO B23 0.0038 IO B11 0.0008 IO B23 0.0020 IO 

B12 0.0019 IO B24 0.0061 LS B12 0.0028 IO B24 0.0046 IO B12 0.0008 IO B24 0.0024 IO 
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For ease of later reference calculated girder end rotations 

at ground level for all three buildings are listed in Table 5. 

These rotations were calculated by using curvature 

demands and assumed plastic hinge length. Here, Eq. (7) 

and plastic rotation definition given by Eq. (8) were used: 

 

ybp fd022.0l08.0l +=                          (7) 

pyup l)( ffq -=                               (8) 

where lp is the plastic hinge length, l is the length of the 

cantilever or the distance between the inflection point and 

the member end, db is the bar diameter, fy is the yield 

strength of steel, θp is the plastic rotation, Φu is the 

ultimate curvature and Φy is the yield curvature. 

Table 6 is expanded by characterizing these rotations in 

accordance with ASCE41 performance limits for non-

conforming girders. 
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8. COMPARISON OF RESULTS WITH OBSERVATIONS:   ASSESSMENT AT MEMBER LEVEL 

The results of bi-directional NTHA were compared with observations after the earthquakes. 

Performance of the columns and beams were evaluated as per the 2008 update of ASCE41 requirements at 

member level. Column shear capacities were calculated assuming k = 0.7 in Eq. (1) because of the bi-directional 

loading. The infill walls were evaluated based on the lowest value of their compressive or shear strength. 

 

The Bolu Building: Heaviest Damage 

The ground and first floor column C3 experiences shear failure and severe buckling due to captive 

column effect. Bi-axial shear response of these columns is shown in Figure 14. 

 

 
 

Figure 14. Bi-axial shear behavior of the column C3 at  

(a) ground and (b) first floor (dashed lines represent the  

strength calculated by Eq. (1) 

 

Flexural cracks were observed in most of the beams of first three stories but no shear failure was noted 

which is in agreement with the analytical results. All girders in the longitudinal direction were calculated to be in 

IO performance level and beams in transverse direction were determined to be in IO-LS level for the first three 

floors (Table 6). The observed damage in the beams is minor to moderate (IO-LS). Infill wall performance 

shows satisfactory similarity between observation and calculation at all levels. 

 

The Bingöl Building: Moderate Damage 

Damage pattern similar to that in Bolu occurred in the Bingöl building; but cracks were smaller. 

Damage was once again concentrated in the longitudinal exterior frame of the ground floor adjacent to the 

enclosed courtyard. The most significant shear crack occurred in the captive column C3 as shown in Figure 15. 

 

 
 

Figure 15. Bi-axial shear behavior of column C3 at the  

ground floor (dashed lines represent the shear strength  

calculated by Eq.(1) for Bingöl) 

 

Although minor cracks were observed, no infill wall failure was recorded after the earthquake. Infill 

wall performance shows acceptable similarity between observation and calculation at all levels indicating that 

strength model provides good estimate for assessment of the Bolu and Bingöl buildings. As a note, the Bingöl 

building was retrofitted six months after the earthquake. 

 

The Erzincan Building: Minor Damage 

The Erzincan building sustained the least severe damage. As an instructive footnote, the building served 

continuously immediately following the earthquake in 1992 for citizens who had been impacted by the disaster. 

There was no concern for life safety as people entered or worked in the building. When funding was made 
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Damage in the columns is due to shear as manifested 

by the diagonal cracks. The results indicate that Eq. 

(1) underestimates the shear strength of the columns 

under bi-directional seismic loading. In the 

analytical model, columns reach their shear capacity 

even where only minor diagonal cracks occur. 

Column shear capacities have been determined with 

the stirrup details as given in the blueprints taken 

into account. The failure of column C3 at ground 

level is consistent with the analytical prediction of 

its response: The capacity in shear in local direction 

3 is exhausted first, as supported by the view of the 

same column taken from inside the building in 

Figure 14(a). In contrast, at the first floor level 

failure is in the local 2 direction as seen in the 

photograph and the shear force interaction diagram 

in Figure 14(b). 

In the Bingöl building, computations show that except 

for columns C6, C7, C10 and C11, all ground story 

columns reach their respective shear capacity. This is an 

exaggeration of reality. The demand in local direction 3 

surpasses capacity, though the crack pattern is not 

consistent with that. Hairline flexural cracks were 

observed in most of the beams of first three stories. All 

beams were calculated to be in IO performance level for 

the first three floors (Table 6). This is in agreement with 

the observed damage that beams sustained minor 

damage corresponding to IO level. 
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available for retrofitting the Bingöl building in 2003, part of the allocation was diverted to Erzincan to be used in 

its structural enhancement. That no pressing requisitions for repairs was conveyed to the ministry for twelve 

years supports our observation that the structure was judged to have experienced minor damage and was safe for 

extended use without any intervention. Yet, the building experienced very severe shaking (see Table 1 and 

Figure 6) with a near-field pulse that, in common wisdom should have caused large story drifts. 

 

Analyses indicate that shear capacity of the columns must have been underestimated by Eq. (1). 

Columns with minor shear cracks were calculated to fail, which is not consistent with the observations. The 

cracks were in the middle parts of the columns. The same inconsistency exists for the drifts in Figure 13. 

 

Beams of the bottom three floors were calculated to be in the range of IO-LS performance levels (Table 

6). Larger plastic rotations were calculated for the beams in transverse direction. All beams were reported by the 

owner to be in the IO level that conflicts strongly with the calculated damage level. Calculated infill wall 

performance is also inconsistent with observations because damage was overestimated at all levels. Among the 

three the greatest discrepancy between analysis and observation applies to this building. By all accounts it should 

have been the worst impacted of the three, and it was not. 

 

9. SUMMARY AND CONCLUDING REMARKS 

It is a truism that every theory must avoid succumbing to the test provided by nature if it is to serve 

engineering as a reliable predictive instrument. Almost every major earthquake hides a surprise and teaches new 

lessons to engineers. While performance assessment procedures are being developed and refined at a rapid pace, 

their corroboration with field observations has not kept pace. Earthquakes are seldom events, and there is as yet 

little empirical evidence for existing RC building performance well in the nonlinear range except under 

laboratory conditions. Individual buildings anywhere are generally less perfectly known so there is more 

uncertainty in modeling them. This paper provides an answer to the rhetorical question: “do we have the means 

of forecasting building performance under actual earthquakes of real buildings, given their design drawings and 

their input motion?” The damage and failure mechanisms of structures during earthquakes provide 

incontrovertible evidence that emphasizes the need for reconsideration of the current procedures in evaluation of 

existing buildings. Urban resilience must be correctly assessed using refined tools of earthquake structural 

engineering, so these tools must stand the rigorous test of empirical verification. 

 

One such incremental learning process occurred in Turkey over a time span of 11 years. Three identical 

buildings, built to the same design template experienced three major earthquakes and underwent different 

degrees of visible damage, though none collapsed. The buildings belonged to the MPWR, the ministerial agency 

responsible also for the national strong motion recording network, and two of the three case study buildings had 

a sensor station immediately nearby in an adjacent low-rise building. The station in Erzincan was about 2 km 

away from the structure, but we can assume that the record there applies to the building because of similar site 

geologies. This provided a unique combination of well-identifiable buildings, known input motions and carefully 

documented damage. 

 

The buildings have been investigated according to existing state-of-the-art procedures for performance 

assessment. The evaluation has been performed in terms of inter-story drift demands, girder end rotations, 

column shear capacity and infill strength. The principal purpose of these nonlinear analyses was to assess 

whether the analytical model of the buildings could indicate element damage consistent with what had been 

observed at the sites after the earthquakes. NTHA results are capable of capturing the occurrence of shear failure 

in captive columns, but they overestimate the global damage level for all buildings, especially where the building 

sustained a pulse type motion but did not display any significant distress. The design had been performed 

according to the provisions of the 1975 Seismic Design Code of Turkey. This resulted in columns that were 

shear-capacity deficient, so that flexural capacity at the ends could not be developed fully before diagonal 

cracking occurred, as observed in the L-shaped corner columns at ground level in Bolu and Bingöl. On the basis 

of nominal material strengths (Table 2), the base shear capacity of the Erzincan and Bingöl buildings is 

calculated to be about one-quarter of its weight, and about one-third in Bolu. The column shear capacity had 

been severely tested in Bolu and Bingöl (Figure 7) without approaching the bending capacity. The story drifts 

and girder rotations seem to have been less than those given by NTHA results, so that enhancement of the 

effective damping due to inelastic action can not serve as a satisfactory excuse for the good behavior of the 

buildings. The difference between computational results and observed damage is consistent for all three cases. 

While current methodologies and established guidelines provide reasonable estimates for the performance of 

simplified laboratory-scale structures, our detailed investigation of the performance of actual buildings in these 

three cities shows that there is considerable difference in the  prediction of the response of RC structures 

subjected to severe near-field strong ground motions. I must caution that these observations are applicable only 

to the buildings that have been studied here. It is concluded that, much remains to be done for refining demand 
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and capacity predictions under dynamic earthquake effects that define the ultimate blind prediction 

circumstances in the field. Performance limits must be calibrated through further systematic research that is 

anchored in field experience before they are incorporated into routine engineering practice. 
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